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Abstract

Out of two alternative bridge designs, a cantildw@iige is chosen as a highway
bridge by the owner in collaboration with a conisigitcompany. The design decision
is based on initial cost estimates and regular teaance costs without much regard to
the potential damage the bridge can sustain deartbquakes during its economical
lifespan and the repair costs.

The main purpose of this thesis is a response atiatuof the two bridge designs
subjected to earthquake induced ground motion. vesalt of this study, advantages
and dis advantages of one of the designs comparbe other from the seismic
behavior and seismic point of view will be idergdiand documented.

The concept of structural dynamics has been the pilar of this study where
principle elements are used to derive the basiw@fcentral methods of analysis and
their area of application. The practical elastgpa@nse spectrum analysis and its
adequate approximate solution is the first mainyasmamethod. The second method
of analysis is the time history analysis with xset solution.

Based on the solutions by both methods of anafysisa demand capacity ratio
assessment it can be concluded that none of thgndesill enter ductile behavior.
However, with regard to comparison of the desigeam be documented that design
two is more susceptible to damage during an eaatteju
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Notation

Roman Symbols

Coefficient that relate the mass to damping
Coefficient that relate the stiffness to damping
Integration constant
Integration constant
Viscous damping coefficient
Damping matrix
Critical damping coefficient
Young's modulus for steel
Young’'s modulus for concrete
General force
Natural cyclic frequency of vibration
Inertia force
Damping force
Elastic force
Characteristic yield strength for steel
Cylinder strength for concrete
Total element force (vector)
Thenth mode contribution of an element (vector)
Structural stiffness
Stiffness matrix
Generalized stiffness for teh mode
Transverse stiffness
Longitadinal stiffness
Love waves
Mass

Mass matrix



Generalized mass for tih mode
Spectral mass matrix

Pressure waves

External dynamic force

Generalized force for theh mode
Probability of exceedance of 10% in 50 years
Behavior factor

Modal coordinate for theth mode

Modal coordinates (vector)

Modal coordinate for theth mode
Rayleigh waves

Spectral acceleration of RS or DS in units of g
Shear waves

Spatial distribution (vector)

Spatial contribution for theth mode
Reference return period

Natural period of vibration for theth mode
Natural period of a damped system
Acceleration (vector)

Velocity (vector)

Displacement (vector)

Quasi-static displacement

Relative displacement

Ground acceleration

Acceleration

Velocity

Relative displacement

Total displacement

Ground displacement



Uy, Peak displacement

u(t) Complete solution of the linear differential ejaa of motion
u.(t) Complementary solution

Uy (t) Particular solution

u(0) Initial displacement

u,(t) Displacement for thath mode (vector)

Ur Transverse displacement

Uy, Longitadinal displacement

v Poisson’s ratio

Greek Symbols

T Dummy time variable in duhamel’s integral
4 Damping ratio

In Damping ratio for thath mode

Wy, Natural circular frequency of vibration

bn Mode shape for theth mode (vector)

b Mode shape for theth mode (vector)

I, Mass Patrticipation factor for theh mode

Vi Importance factor

B parameter in Newmark’s method

y parameter in Newmark’s method

Abbreviations

DOF
SDOF
MDOF
ULS
ALS
RSA
THA
DSA

Degree of freedom

Single degree of freedom
Multi degree of freedom
Ultimate limit state

Accident limit state
Response spectrum analysis
Time history analysis

Design spectrum analysis



1.1

Introduction

Motivation

Despite their structural simplicity, bridges arecang structures that are particularly
vulnerable to earthquakes. Little or no structuealundancy, soil-structure sensitivity,
lack of adequate design philosophy are among m#rer oeasons of poor bridge
performance witnessed around the world during gagkes. However, because of a
very low probability of earthquake occurrence omiMagian soil with significant
magnitude, it is very hard to get a feeling on heusting or future bridge structures
will perform when the unthinkable event strikes.dAso, despite the mandatory
implementation of Eurocode 8, design decisiongjareerally based on initial cost
estimates without much regard to the potential dgambe bridge can sustain due to
earthquakes.

As | forthcoming engineer, | like to understand tbehnical impact of earthquake on
important and complicated structures. And by leggrand understanding application
methods, it may give me the opportunity and abtlitypenefit society by saving life
and money.



1.2 Specifications

The following objectives will be accomplished

1.

With the use of OpenSees and Matlab seven resgpest¢rums for seven
selected ground motions will be constructed. Biofeing the guidelines of
Eurocode 8, the response spectrums will be scalEyél up with the Seismic
Zonation of Norway.

Two alternative bridge designs will be modeled wvBlFrame with
appropriate assumptions. The models will get siibjeto previous scaled
ground motions and be analyzed by the method pbrese spectrum analysis
(RSA). The models will also be analyzed and patélgigned following the
guidelines of obtaining and applying the desigrcapen.

The two bridge designs will be modeled in Open3®sethe same assumptions
of the previous modeling in NovaFrame. Both desigitisbe analyzed under
seven scaled ground motions by the method of tiistery analysis (THA).

Structural response of the two bridge designs aedlyy the presiding
methods will be compared and evaluated with regjpeeigenvalues, modal
participation, flexural strength and displacements.

Assessment of the bridge designs will be evaludted.moment demands
from the THA by OpenSees will be compared to thergjth capacity of the
two designed in NovaFrame with respect to the aesjgectrum. The
assessment along with the preceding evaluatiorbeithe bases of a total
comparison of the two designs.



1.3 Outline

This thesis consists of in total 8 chapters.

Chapter 2 provides some of the necessary thedrbackground needed to
understand the complexity of the specificationthia thesis. Concepts of structural
dynamics are introduced. By following simpler bredgodels the thesis is organized
to facilitate dynamic applications toward the attesigns.

Chapter 3 unlocks some of the basic concepts tfiquaakes. Understanding ground
motion, quantification and relation to structurghdmics.

Chapter 4 presents the numerical modeling.

Chapter 5 and 6 presents the results and discuskamalysis for the longitudinal and
transverse directions.

Chapter 7 and 8 is mainly about the assessmeheafdsigns, comparison of designs
and conclusion.



2 Theory of structural dynamics

2.1 Introduction

The aim of this chapter is to present basic corscaptl assumptions used in dynamic
analysis. Later, it will be shown how these analysethods can be utilized to estimate
dynamic behavior of bridges subjected to seisnadilang.

2.2 Structural Analysis

To understand how a structure works under varioadd, we need to describe its
behavior in term of displacements, forces and aeddions, which in general form are
called structural response. These responses ndésdgoantified in order to create an
optimal and safe design.

In general, structural analysis of ordinary stuoes can be classified in two types of
analysis: Static and Dynamic. The main differenegveen these two analysis options
is the way the loads are defined, which is expiicthe names of the analysis. Static
analysis treats loading independent of time. Itmsdlat the loading position,
magnitude and direction are unchanged, while tisgtipa, magnitude or direction of
loading in dynamic analysis varies with time.

2.3 Dynamics of SDOF Systems

2.3.1 Introduction

In this section the structural dynamic problemoisriulated for a simple bridge
structure which will be referred to as sample 1 eaudl be idealized as a system with a
lumped mass and a massless column. Sample 1, wshaslsumed to be an elastic
system, will be subjected to dynamic excitationvall as earthquake induced ground
motion in longitudinal direction. Differential eqti@ns governing the motion of
sample 1 as a SDOF system will be derived andrdiftesolution methods will be
introduced.



2.3.2 Single Degree of Freedom Systems, SDOF

Structural response of a bridge due to dynamictattan depends on the mass,
damping and stiffness properties of the bridge. dyreamic excitation and response
can best be explained by means of a SDOF systeralrabd simple bridge.

Degree of freedom (DOF) means the number of inulégre displacements required
to define the displaced position of the mass dfwcture relative to its original
position. A SDOF system indicates that only oneepehdent displacement is needed
for the entire structure to describe its mass dghent.

Figure 1(a) shows a simple regular bridge structB8eemple 1) with two spans and one
column. The bridge deck is axially rigid and theitabents do not prevent longitudinal
displacement. The superstructure is assumed itdfibgely stiff and the longitudinal
flexibility of the bridge is due entirely to theloann. The column’s mass can be
neglected as its mass ratio compared to the supetste is insignificant. Figure 1(b)
shows a model representation of Sample 1 in trasewdrection. This is a SDOF
system with lumped mass.

Rigid
_Superstructure s Mass center
o e i e S e
k o
Massless column i
7777777 7777
(@) (b)

Figure 1 - Overview of a simple bridge (Sample 1)



Figure 2(a) and 2(b) shows two different model espntations of Sample 1 in both

directions as the total distributed mass of theesstpucture is concentrated (lumped)
at top of the column at the superstructure sediamss center. In other words figure
2(a) and 2(b) are the SDOF system representatidigguoe 1 in both longitudinal and
transversal where the relevant mass displacememniysiefined by one DOF in each

direction.
F——=lur
Nj_"_é pin @
—
77
(b)

Figure 2 - model representation of Sample 1

2.3.3 Acting Forces, SDOF

When the structure in Sample 1 is excited by aarest dynamic forc®(t), the
structure’s internal forces will try to oppose thiitation at a given instant. Internal
forces arise due to the structures natural pragggewhen an external force is trying to
push it out of its equilibrium position. These fescconsist of Inertid,§, damping 1p)
and elasticfg) forces with the direction shown in figure 3.

qio ﬁ

Figure 3 — Overview of internal forces acting om®# 1 due to P(t)



When an arbitrary object with a masswofis accelerated, inertial forces are created in
the object that will try to oppose this accelenatibhe inertial force due to any type of
acceleration can be expressed as:

]CI = mil 2.3.1

Wheref; denotes the inertial forcey is the mass of the structure ainds the total
acceleration of the mass.

Damping is simply a structural characteristic fmsgpating energy under vibration.
When a structure is excited and begins to vibtag structure will try to damp this
vibration velocity by different mechanisms to a gete stop. In reality it is
impossible to determine the damping force for exgpg of damping mechanism
mathematically and therefore in many practicalagitins a linear viscous damper is
used as an idealized representation. In generaahmgping force due to any type of
velocity can be expressed as:

fo = cu 2.3.2

Wheref;, denotes the damping foraeis the viscous damping coefficient aids the
velocity across the viscous damper.

The structural stiffness properties can be expthagean internal elastic force resisting
deformations. It is a relationship between therimaeforce and the relative
displacement of the structure. In general the ieléstce due to any type of small
deformation can be expressed as:

fs = ku 2.3.3

Wheref; denotes the elastic forde|s the stiffness coefficient andis the relative
displacement associated with deformations in thegire.

2.3.4 Equation of Motion, SDOF

In static analysis the structure can reach itsligiuim position when sum of external
forces are equal to the sum of internal forcefiénsame direction. The structure’s
internal forces consist of only one type of fordeie is due to the stiffness properties
of varies building materials. When we deal with a@ymnc analysis we also have to take
the inertial and damping effects into consideratiimese effects will arise when a
structure enters a motion state. By applying Netgteacond law of motion and D’

10



Alembert’s principle we can derive a differentiguation which will govern the
unknown displacementg(t) of the SDOF system.

Using equations 2.3.1 and 2.3.2 the equilibriumd@iion can be written as:

p) —fo—fs=-h 2.3.4
Or

mii + cu + ku —p(t) =0 235

Wherep(t) is the external dynamic force.

D’ Alembert’s principle states that by implementithg inertial force to a system,
dynamic equilibrium can be obtained at any timéans Then, 2.3.5 can be rewritten
as 2.3.6 which is known as the equation of motmrah elastic SDOF system:

mii(t) + cu(t) + ku(t) —p() =0 2.3.6

11



2.3.5 Equation of Motion Adopted to Earthquake for SDOF S/stem

In this section sample 1 will be exposed to anheprdke induced ground motion by
displacement at the base of its column.

J
1
|
I
|
|
I
|
|
|
|
1
1
|
I

i 77777
= Ug

Figure 4 - Sample 1 exposed to ground motion

As illustrated in figure 4, the ground displacemisrdenoted by, the displacement

of the mass relative to the columns base is deritedand the total displacement of
the mass is denoted lmywhich is equal to:

U (t) = ug(t) + u(t) 2.3.7

Since sample 1 is now excited by an earthquakenahdn external force(t) as
shown in figure 4, the equation of motion has tortmalified to consider this new type
of excitation.

It is essential to note that only the mass dispteard relative to the column base
produces elastic and damping forces while the raassttial force is related to its
total acceleration. This conclusion will lead te fiollowing equation of motion for a
SDOF system subjected to ground acceleration:

mii,(t) + cu(t) + ku(t) =0 238
where

U (t) = g (t) + u(t) 2.3.9

By substituting equation 2.3.7 in 2.3.8, and usggation 2.3.9, the equation of
motion for a SDOF subjected to earthquake can litéewras:

mii(t) + cu(t) + ku(t) = —miiy(t) 2.3.10

12



2.3.6 Solution of the differential equation of Motion for a SDOF System

In this section different solution methods alonghvarea of application will be
introduced briefly.

Classical Solution

Complete solution of the linear differential eqoatof motion consists of the sum of
the complementary solutian.(t) and the particular solutian, (t), that isu(t) =

u.(t) + u,(t) . Since the differential equation is of second artleo constants of
integration are involved. They appear in the cormgletary solution and are evaluated
from a knowledge of the initial conditions.

Duhamel’s Integral

Another well-known approach to the solution of &ndifferential equations, such as
the equation of motion of an SDF system, is basedepresenting the applied force as
a sequence of infinitesimally short impulses. Tésponse of the system to an applied
force,p(t), at timet is obtained by adding the responses to all imgulgeto the time.
This will lead to the following equation known Bsthamel sntegrd for an

undamped SDF system with a natural frequengyt)

u(t) =

mw,

flp(r) sin[w,(t — 7)] dt
0

Numerical Methods

The two preceding dynamic analysis methods areigest to linear systems with
harmonic excitations. The analytical solution ¢ #quation of motion is usually not
possible when the excitation varies arbitrarilyhatitme. This is the case for analyzing
systems subjected to ground motion. The practipptoach for such systems is
numerical time stepping methods for integrationifferential equations with the use
of computational calculations as a software tool.

13



2.3.7 Free Vibration, SDOF

When a SDOF system is disturbed from its staticlibgum position by enforcing an
initial displacement and is allowed to oscillatekband forth freely without any
external dynamic excitation, this is called natdireé vibration. Figure 5 shows a
SDOF system with the initial displacemer(0) and the peak displacement,.

7777
Figure 5 - Free vibration of a SDOF system

2.3.8 Undamped Free Vibration, SDOF

Equation of motion for a SDOF system without dargpindergoing free vibration
can be expressed as:

mii(t) + ku(t) =0 2.3.16
u
A T
3
! wortl & 7T A
i \ ,"f \ [
ul u(O)I \ / \ Amplitude g

I‘". ;'; ‘-.\ 7 ._\\ ; L

Y / ¢ /

A // \\ . / \ //,

Figure 6 - free vibration of an undamped SDOF gyste
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Every structure has its own natural vibrationalrabteristics which can be determined
mathematically.

By knowing the initial conditions, that is velocigyd displacement at time zero,
equation 2.3.16 can be solved. The solution tdtireogeneous differential equation
is obtained by standard methods:

u
u(t) = u(0)cos(wyt) + w—a)zsin(a)nt) =0 2.3.17
n

Where
k
w? =— 2.3.18

These natural characteristics, which depend onithermass and stiffness of the
structure, are:

* Natural period of vibrationT,, = i—” in units of second

n

. . . T, . . .
* Natural circular frequency of vibrationy,, = - inunits of radians per second

* Natural cyclic frequency of vibrationf,, = Ti in units of Hz or cycles per second

15



2.3.9 Damped Free Vibration, SDOF

In reality every structure undergoing free vibratwill eventually come to a complete
halt and this is due to various damping mechanisiswill arise under motion.
Equation of motion for a damped system undergaieg ¥ibration can be expressed
as:

mii(t) + cu(t) + ku(t) =0 2.3.19
Figure 7 shows how the free vibration of a SDOResyisdecaying with time due to

damping. The natural period of a damped systgrs 2" has a tendency to be longer
wp

than the natural period of an undamped systgnvhere these are related by

Ty = —2
D — /1_(2 '
u
A T
D
Up u(O)I \ / \ W R o b
/ % o
% .-
\__Z, ) S i

Figure 7 - Free vibration of a Damped SDOF system

2.3.10Damping Ratio

The damping ratio is a dimensionless measure opdamlt is a system property that
depends on its mass and stiffness.

Dividing 2.3.19 bym gives:
ii(t) + 2{w,u(t) + w2u(t) =0

where:

k
w%:; Z:CLcr Cor = 2Mwy
¢ denotes the damping ratio which controls how tiastvibration will decayg is a
measure of the energy dissipated in cycle of frderced harmonic vibration andg,
is the critical damping coefficient which contrahe damping limit where the

structure will be damped without any oscillation.
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2.4 Dynamics of MDOF Systems

2.4.1 Introduction

In this section we deal with discretized systenth &ifinite number of DOF. By using
a two storey simple bridge referred to as sampie 2vill establish stiffness, damping
and mass components and derive the equation obmfair a MDOF system.

2.4.2 Multi Degree of Freedom Systems, MDOF

A MDOF system is a system where more than one 3O€quired to define the
displaced position of all the structure’s masstieteto its original position. Solving
MDF systems using analytical methods requiresradrelous effort and as DOFs
increase the solution becomes more tedious. Theretomputers and numerical
analysis are essential tools for managing this task

Although two storey small bridges are not at athoaon in reality, there are several
known multi span bridges with two storeys carrywoag traffic on one storey and a
railroad at the other. Figure 8(a) shows a simptedtorey bridge structure (Sample
2) with two spans and one column at each storeg.bFidge deck is axially rigid and
the abutments do not prevent longitudinal displaa@mrlhe superstructures are
assumed to be infinitely stiff and the longitudisaffness of the bridge is due entirely
to the columns. The columns mass can be neglestdtea mass ratio compared to
the superstructure is almost insignificant. Figsfie) shows a model representation of
Sample 2 in transverse direction. This is a MDO$teay with lumped mass at the top
of the columns only assuming that the bridge isilag

> U2 Mass center

******************

= z

i k2 Massless
Rigid _~ column

2~
|
Superstructure 7 — i
N : L

ki
Massless

~ column <>
5

77777777 (a) (b) 7777

Figure 8 — A two storey bridge shown in longitudiaad transverse direction (Sample 2)
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Figure 9(a) and 9(b) shows a model representafisaraple 2 in longitudinal and
transversal direction as the total distributed nzdssach superstructure is
concentrated (lumped) at top of the column ant@stiperstructure section’s mass
center. In other words figure 9(a) and 9(b) areM®OF system representations of
Sample 2 where the relevant mass displacementnfrelefined by two DOFs in
each direction.

,,,,,,

1~ ’
S ———- < . T — |
N ~

(@)

Figure 9 - Model representation of Sample 2

2.4.3 General Modeling approach for a MDOF System

o I ol ol R
—\".% (- &
}I / b
I "\. 7 e ~ 2 \\
- —— Y |
1 3 3 e ]

P ; // / %, \
Element Node DOF
7777

Figure 10 - General DOFs for a 2D model of Sample 2

The above model is a representation of general D@FSample 2. The model
consists of elements which represent the structamalponents and nodes which are
connection points for the elements. Figure 10 shibwee DOFs at each node. Since
this is a 2D model there are two translations amelrotation at each node.
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2.4.4 Equation of Motion for a MDOF System

In the same way as for a SDOF system, elastic, oegmnd inertia forces act as
internal forces on the bridge. However, unlike 8120F system where all forces and
displacements are denoted using scalars, for MDGtess, the displacements and
forces are denoted using vectors.

Next, in figure 11 the DOFs required for estabhghthe equation of motion for
sample2 is determined by discretizing the genewehin figure 10 where axial
deformations as well as node rotations are neglatie to the rigid superstructure.
Due to this discretization where all the DOFs exegpandu, are ruled out, we get
the same model representation as figure 9.

77
Figure 11 - Two DOFs model of Sample 2 where adédbrmation and node rotations are neglected

The equation of Motion for Sample 2 without extémecitation (free vibration) can
then be written as:

[m]{it(®)} + [c]{u(®)} + [k]{u(®)} =0 2.4.1

Wherem, ¢, andk are the mass, damping and stiffness matrices regplgcandit, i,
andu are the acceleration, velocity and displacementovecespectively:

o mlfia) e eallihelin =l

The stiffness matrix can be obtained by supermosand concept of stiffness
influence. The mass matrix is also established lgifoyp computing the mass at each
bridge deck. On the other hand, establishing timepdag matrix is not as straight
forward. The method used to establish the dampiatixis explained in the next
section.
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2.4.5 Rayleigh Damping

Damping is generally specified by numerical valtegghe modal damping ratio
which are sufficient for linear systems with classidamping. The reason for this is
the impractical determination of damping coeffi¢gedirectly from the structure.

Rayleigh damping is a reliable method for constngca classical damping matrix
using modal damping ratios. This approach is amagpjate idealization if similar
damping mechanisms are distributed throughoutesthucture. Rayleigh damping is
expressed as:

[c] = ap[m] + a,[k] 243

Wherec denotes the damping matrix amglanda, are coefficients that relate the
mass and the stiffness to damping respectively.demeping ratio for thath mode is
derived as:

a1 a4

= 4 — 24.4
{Tl 2 (,Un 2 wn

Equation 2.4.4 can then be used to determjn@nda,and can be transformed to
vectors for a MDF system, in this case for sampletB two DOFs.

111/, wl]{ao} _ {(1} 245

2 1/w; wy]laq (2

Figure 12 shows how the damping ratio for thle mode can vary with the natural
frequency. To ensure reasonable values for the aegnatios in all the modes with
the most contribution to the response it is impdrta choose modieand; that
coincides. Then figure 12 shows that the dampitig far the modes in betweerand
Jj will be smaller. For the modes higher thjaihe damping ratios will increase
monotonically with frequency which means that theresponding modal responses
will be eliminated because of their high damping.
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Figure 12 - Rayleigh damping

2.4.6 Lumped Mass

The mass matrix can be obtained using lumped massaid of distributed mass
throughout the structure. By applying statics thessndistribution of an element is
equally assigned or lumped to its two nodes. Theams that the lumped mass which
has been assigned to a node is equal to sum afdkse contribution of all elements
connected to that node. The lumped mass matrix idemlization with satisfactory
results where the mass matrix is diagonal becdugseotational inertia has negligible
influence on the dynamics of practical structuFégure 13a shows the lumped mass
of sample 2 where the mass matrix is expressedti@.Zigure 13b shows the
assembling of relevant mass in the direction of BOF

ms
R -Qﬂ-.-------——-——-———--—---—--——-} mz . u:
i mi
B e ’!.——--—---—--—-—--—-—--—-—-----f\ mi . us
‘s ’ rh 2
;7 Element mass :
§ =
|
77 (a) (b) @7

Figure 13 — (a) lumped mass for Sample 2, (b) sfregllumped mass
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2.4.7 MDF Systems and Translational Ground Motion

The equation of motion for a MDOF system subjetteground motion is:

[m]{i(0)} + [cH{u(®)} + [k]{u(t)} = —muily (t) 2.4.6

Where vectot is the influence vector.

Figure 14 shows Sample 2 exposed to ground mdijot).
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Figure 14 - Sample 2 exposed to ground motion
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2.4.8 An Overview of Solution Methods for the Equation & Motion for a
MDOF System

Methods for solving the equation of motion for a @B system can be divided in two
categories.

l. Classical modal analysis: This method is appropfiat linear systems with
classical damping. The solutions is in closed fémnsimple excitation and
numerical for complex excitations. Modal analydsoastands as a ground base
for response spectrum analysis. Both modal andrespspectrum analysis are
emphasized in this thesis and will be explainedeatail in the following
sections.

Il. Direct analysis: This analysis method is suitablebioth linear and nonlinear
systems with classical or nonclassical damping. Sidtetion is numerical.
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2.4.9 Free Vibration for a MDOF System without damping

Equation of motion for a MDOF system without dangpimdergoing free vibration
can be expressed as:

[m]{it(t)} + [k]{u(t)} = {0} 2.4.8

It is necessary for a MDOF structure to underggognmarmonic motion in order to
determine its natural properties like the naturadjfiencies. One of the characteristics
of a structure exposed to harmonic motion is itshamged deflected shape which can
be achieved if the free vibration is initiated Ippeopriate distribution of
displacements in the various DOFs. Figure 15 shawsleflected shapes of Sample 2
while undergoing free harmonic vibration. Both sigpreictures pass through the
equilibrium position and reach their extreme disptaent at the same time. Each of
these characteristic deflected shapes is calleduaal mode of vibration for an

MDOF system. As a rule of thumb; the number of nsoalea structure is equal to the
number of DOFs.

a1

®

(€)

Figure 15 — (a) Simplified model of Sample 2, (lda shape 1, (c) mode shape 2

7 (@)
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2.4.10Eigenvalue problem for a MDOF System

The following equation shows how the displacemém@troundamped system, sample
2 as an example, undergoing free vibration mathieait can be expanded:

{un(t)} = {¢n}Qn(t) 2.4.9

Wereu, (t) is the displacement vector for thth mode ¢,is the modeshape vector
for thenth mode which do not vary with time angg(t) denotes the modal coordinate
which is time dependent. The time variation of displacements is described by the
simple harmonic function:

qn(t) = A, cos(wyt) + Bysin(wy,t) 2.4.10

WhereA,, andB,, are integration constants that can be obtained the initial
conditions that initiated the motion.

By combining equations 2.4.9 and 2.4.10 and sulbsig these in 2.4.8 we can obtain
the following algebraic equation which is calleé #igenvalue problem:

|[K] = w,?[m]| {¢} = 0 24.11

Wherew,, and¢,, are unknown. The nontrivial solutions of 2.4.11 ethimeans that
wheng@,, is not equal to zero gives the natural frequengyor thenth mode. And
further 2.4.11 can be solved f¢r, to within a multiplicative constant. The eigenvalue
problem does not fix the absolute amplitude ofvibetorg,,, only the shape of the
vector given by the relative value of thth displacements. This means that any vector
proportional tog,, is essentially the same natural mode.
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2.5 Modal Analysis

2.5.1 Introduction

As mentioned before, classical solution methodshatdeasible for MDOF systems.
The classical modal analysis offers a solution wetior a linear MDOF system with
classical damping excited by dynamic loading. Tdeaiis to transform the equations
of motion of a MDOF system to modal coordinateadlag to a set of uncoupled
modal equations for a SDOF system which by solgivgs the response contribution
for every involved mode. This is also called thedaiaesponse. Further on, by
combining these modal responses the total respramsbe obtained. An illustration of
modal expansion is presented in figure 16 anderfalowing subsections this will be
explained further.
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2.5.2 Modal Equations for Undamped System Exposed to sinigp excitation

Equation of motion for a linear MDOF system withoaimping and exposed to
harmonic dynamic excitation is expressed as:

[m]{it} + [k]{u} = {p(t)} 25.1

The mathematical formulation for modal expansiodisplacement was presented in
section 2.4.10 and will be explained more detaitetthe following. The total dynamic
responses of a system which are expanded by modalinates can be expressed as:

N
w@®) = ) @00 = [@l{a(®)}
r=1

Whereu(t) is the displacement vectap, is the mode shape vectar,(t) is scalar
modal coordinatg®] is the modal matrix angl(t) is the modal coordinates vector.

By substituting 2.5.2 in 2.5.1, the following eqoatshows that 2.5.1 can be
transformed to a set of uncoupled equations witdahooordinates as the unknown:

N N
> i} + ) [kl ar(0) = (p(8))
r=1 r=1

Premultiplying each term in 2.5.3 ky,” gives:

Z{qbn}f[m [CSENO +Z{¢n}T[k i} 4, ()
- (GO}

Orthogonality relations of modes, can show thateaiths in each of the summations
will be eliminated, except the= n term. By other means whes). # w,,:

{¢n}T [m]{¢n} =0 {¢n}T [k]{¢n} =0 255
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And will results in the following reduced equation

()} Iml{$xDidn(®) + ({Pn} [kl{$nan (@) = {pa} {p (1)} 256

2.5.6 can be expressed in generalized form as:

My Gn (8) + Knqn(t) = Py () 2.5.7

Where

Mn = {¢pa} [ml{en}  Kn = {@n}'[kl{pn} F(0) = {$n} {P(8)}

2.5.7 is the equation of motion for a SDOF syst@wvegning the response in modal
coordinateg,, (t) for thenth mode and therefore in scalar for#f, is the generalized
mass for theith mode kK, is the generalized stiffness for théh modep, (t) is the
generalized force for theth mode.
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2.5.3 Modal Equations for Damped System Exposed to simplexcitation

By the same method of section 2.5.2 the term fassital damping can be expanded
to a set of uncoupled equations by modal coordindateu, when damping is included
in the modal equation it gives:

Mnéin(t) + qu.n(t) + ann(t) = P, (1) 2.5.8

2.5.4 Toal Response

When the modal responsg,(t), is calculated either by 2.5.7 or 2.5.8 for
(n=1,2,...,N), the total response(t) can then be obtained by combining the modal
response for all the involved modes. This can beedxy the following equation:

N N
@®) = ) (w0} = ) ($u}an(® 259
n=1 n=1

2.5.5 Element Forces

The equivalent static force associated withrittemode can be expressed as:

{fn(®)} = [k]{u,, ()} 2.5.10

Substitutingu,, (t) = ¢,q,(t) in 2.5.10 gives:

{F2(0} = wilml{n}in () 2.5.11

Wheref,(t) is thenth mode contribution of an element force to thaltfdrce. And
the total force is given by:

N N
(O} =) (a0} = ) wRml{)in® 2512
n=1 n=1

Wheref (t) is the total element force.
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2.5.6 Modal Expansion of Excitation Vector

The modal expansion of the excitation vector hagulproperties as the force vector
with its spatial distribution produces responseyanlthenth mode. Also the dynamic
response in theth mode is due entirely to the force vector contiitmn of thenth
mode.

A harmonic excitation vector with its spatial dilstition s is defined by:

{p(®)} = {s}p(®) 2.5.13
The aim of this section is to expand the vestas:

N

N
{s}= Z{Sr} = Z I, im]{¢,} 2.5.14
r r=1

=1

As for the expansion of displacement vector, 2.8dbbe obtained by premultiplying

both sides of 2.5.14 hy,” and the use of orthogonality relations for modéscty
gives:

N N
{s} = Z{Sn} = Z L,[m]{$,} 2.5.15

n=1 n=1

Wheres,, is the spatial contribution from thegh mode and is expressed as:

{sn} = I,Iml{¢,} 2.5.16
Where
I, = %:{S} 2.5.17
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Next it will be shown how the excitation vector lwits spatial distribution can be
adopted to the modal equation of 2.5.8. Dividing & byM,, gives:

F.(t)
My

2.5.18

Gn () + 20w () + wig,(t) =

As presented in 2.5.7 the generalized fdg@) for thenth mode isP, (t) = ¢pLp(t)
wherep(t) = sp(t) and wheress = ¥¥_, Im¢,. These and the use of orthogonality
relations of modes gives the following equation:

P,(t) = LM, p(t) 2.5.19

Substituting 2.5.19 in 2.5.18 gives:

éin(t) + Zgnwnqn(t) + (UTZLQn(t) = LB, (1) 2.5.20

Equation 2.5.20 is the modal equation of motionti@mth mode subjected to a vector
force with its spatial distribution. The factfy is called the participation factor which
is an indication on whether enough modes are maatiag. I;, should be above 0.95
to get satisfactory results.

2.5.7 Modal Equations for Damped System Exposed to Grountlotion

The differential equation for a MDOF system exposedarthquake induced ground
motion is:

[m]{ii(t)} + [c]{u(®)} + [k]{u(t)} = —muiiy () 2.5.21

Wheret is the influence vector which represents the uisppldcement of the mass in
the direction of the earthquake.

The modal expansion of displacement and forcethareame as presented in the
previous sections with the exception of that therfzaic simple excitation will be
replaced with the earthquake force as shown iridit@ving equations.
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The superposition of the modal contribution for BOF system is expressed in 2.5.9.

The spatial distribution of the earthquake forcdafined by:

Ss=m 2.5.22

As presented in section 2.5.6, we will expand tred distribution, in this case the
earthquake force distribution, as a summation adahmertia force distributios,,.

This gives:
N N
{s} =[m]{g = Z{S"} = Z L, Im]{¢,} 2.5.23
n=1 n=1

And by the use of orthogonality relations for mottes following can be obtained:

Ly
I, = M. L, = {¢n}T[m]{l} M, = {¢n}T[m]{¢n} 2.5.24

By repeating the same procedure for deriving 2.&r&the use of spatial distribution
for earthquake force 2.5.23 and 2.5.24 insteagatial distribution forp(t), we can
drive the modal equation of motion for théh mode subjected to earthquake induces
ground motion.

G (1) + 200,40 (8) + Wi G, (8) = =Ty (1) 2.5.25

Equation 2.5.25 can also be obtained by simplytgubsthe generalized force
B, (t)in 2.5.20 by the ground acceleratiidy(t). Then 2.5.25 can be solved by a
comparison approach to the equation of motion 8D®F system to obtain the

modal response for theh mode. This is demonstrated next.
The equation of motion for a SDOF system exposegtdand motion is expressed as:
iy (8) + 20 wntt, () + whu, (t) = —iiy (t) 2.5.26

By a quick comparison of 2.5.25 with 2.5.26 we oareal the relation:

Gn(t) = Luy () 2.5.27
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By solving 2.5.26 by numerical time stepping methémt a SDOF system and using
the relation 2.5.27,,(t) in 2.5.25 can be obtained. Then the contributidthenth
mode to the nodal displacement can be expressed as:

{un(t)} = {¢n}Qn(t) = rn{¢n}un(t) 2.5.28

The equivalent static element forces can be olddiyethe following procedure. The
equivalent static forces as presented in 2.5.10 is:

{fo(®)} = [kl{u, ()} 2.5.29

By using 2.5.28, 2.5.29 can be rewritten as:

{F2(0} = wplm|L{n}un () 2.5.30

Where[k] = w?[m]. Then by substituting 2.5.15 in 2.5.30 we can obtiaénmodal
contribution of theath mode to the total element force. :

Fn(©} = {sn}4n () 2531

WhereA,, (t) = w2u,(t). The terms on the right side of 2.5.31 consisthefith
mode contributiors,, to the spatial distribution of the earthquake faane the pseudo
acceleration response of thth mode for a SDOF systemiig(t).
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3 Earthquake

3.1 Introduction

In this section the most relevant aspects of eagkes and sismology with respect to
structural dynamics will be presented.

3.2 Seismology

Earthquakes are naturally broad-bended vibratavyrmgst motions that occur due to
tectonic ground motion, volcanism, landslide, masdmexplosions and other actions
with major effects on earth’s crust. These grourdioms can last from only a few
seconds to several minutes. In most cases, shakiohground failures are the
dominant causes of damage. For this study we wilf focus on natural earthquakes.

Earth's Plates
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Figure 29 - Tectonic plates of planet earth

The vast majority of earthquakes originate in tloénity of the boundary between
crustal tectonic plates. The Earth’s lithosphensgsis of in total about 15 tectonic
plates. These plates are driven by heat generaitbd aarth’s core. Relative plate
motion at the fault interface is constrained bgtfon. This accumulated energy in the
plates will eventually overcome any resistance, @ges slip between the two sides
of the fault.
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This elastic rebound releases large amount of gnengch initiates the earthquake.
The first location of dynamic rapture is called thgocenter, while epicenter is the
projection on the surface of the earth directlywabtine hypocenter, see the figure 30.

@ijpﬂcenter

Figure 30 - An illustration of epicenter relativehypocenter

The energy released by earthquakes is propagatedadwoad spectrum of
frequencies by different type of body and surfaeees. Body waves which are
originated at the rupture zone are classified assure waveB and shear waves.

The faster® wave with particle movement parallel to the diil@ctof the propagation,
transmits energy via push and pull movements. Tdwees S waves with particle
movement transverse to the propagation’s directransmits shear action
perpendicular to the motions direction. When bodyes reach the ground surface
some parts are reflected and other parts will gegaesurface waves. Surface waves
are also classified in to two types of waves: Hamially oscillating Love waves,
produces horizontal motion transverse to the dwaatf propagation, and vertically
oscillating Rayleigh waveB produces a circular motion analogous to the mation
ocean waves.

S waves are generally the most important type ofenaverm og earthquake resistant
design since these are the waves that lead toeadasiquake-related structural
damage.
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Figure 31 - lllustration of different wave form

Often, earthquakes are concentrated on faultstd=dnat are moving more rapidly
than others will tend to have higher rates of s&igyn Basic terms for classification
of faults which is according to their sense of mtiincludes:

o Strike slip
» Dip-slip

* Normal

* Reverse

e Thrust
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3.3

3.4

Measurement of Earthquakes

The size of an earthquake is often measured in muggnor intensity. The magnitude
is the measure of the energy released at the somhde intensity is a measure of the
effects of the ground motion at a given location.

Richter magnitude is a logarithmic scale and wald@ed to assign a single number
to quantify the energy released during an earthguak

The modified Mercalli scale quantifies the effeatsan earthquake on the earth's
surface, humans, objects of nature and manmadsgtes on a scale from | to XII,
not felt to total destruction, respectively.

It has been shown that earthquakes with signifigatitferent magnitude may induce
similar intensities, depending on the locationhaf arthquake.

Seismometer

To record the motion of the earth during an eardkguground motion must be
measured against something that remains relativedg. It means that it should not
be affected by the shaking. In a seismometer,ixieel fobject consists of a mass
suspended on springs within a case. During anaaaite, the mass remains still while
the case around it moves with the ground shakimmstivhodern seismometers work
electromagnetically. A large permanent magnet &lder the mass and the outside
case contains numerous windings of fine wire. Moeets of the case relative to the
magnet generate small electric signals in the woik

Earthquake waves decrease in strength as they thewagh the earth. High-

frequency waves attenuate most severely; consdguseismographs designed for
monitoring local earthquakes must respond to @ufft frequency of ground motion
from those used for recording distant earthquaksstuments sensitive to seismic
waves that vibrate several times per second, called period seismographs, are used
to record local earthquakes, during which the waeashing the seismograph are still
very rapid and close together. Long period seisiaqugs respond to lower frequency
waves and are used to record distant events. Mdeadband seismographs perform
both functions.

Some short period seismographs can magnify thengrootion several hundred
thousand times. Such sensitive high-gain instrusmean detect ground far
movements too small to be felt by a human beinghéncase of large earthquakes
nearby, the ground motion may exceed the recorcpacity of seismographs. To
record the signals from large local earthquakesrately, a third type of low-gain,
Strong motion seismograph is needed. Strong msg@mographs apply minimal
magnification (less than 100x), and are generahsgive to ground acceleration.

38



Traditional strong motion instruments would not ighe continuously, but only when
triggered by strong ground movement, and wouldn&oaly until the ground motion
returned to an imperceptible level. Modern digdisbng motion recorders are now
replacing analog (photographic paper) recorders,same have the option for
continuous telemetry.

To completely characterize the earth's movemeatptbtion must be measured in
three perpendicular directions. Consequently, seggaphs often employ three
sensors, recording in each of the north-south;wast and vertical (up and down)
directions.

Figure 32 - Seismograph
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4 Numerical modeling of two design
options

4.1 Introduction

The numerical models have been established inyp&stof software: NovaFrame and
OpenSees. Within a numerical model lies the maéitiead formulation of geometry
and material behavior of the bridge. There arerséWevels of discretization to be
chosen from to describe a bridge’s behavior undesngc loading. In this thesis, these
two bridges are discretized to frame models cangisif linear elastic elements. The
structural components are modeled using sevenalegits, which are sufficient in
number to describe the behavior of the bridge aatedy

4.2 Software Description

4.2.1 NovaFrame

NovaFrame is a space frame analysis program basbdam element theory. The
program has a wide range of analysis capabilitibsch in combination with a user
friendly interface makes the program a versatit¢ tor a wide range of frame
analysis tasks. The program is, in particular, \8alted for bridge structures but is
just as suitable for basic analysis models.

4.2.2 OpenSees

OpenSees, the Open System for Earthquake Engige®inmulation, is an object-
oriented, open source software framework. It allowsrs to create both serial and
parallel finite element computer applications fonglating the response of structural
and geotechnical systems subjected to earthqu@genSees is primarily written in
C++ and uses several Fortran and C numerical ldgdor linear equation solving,
and material and element routines.
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4.3 Design Descriptions

The purposes of these two bridges are to carrfydrahnd pedestrians across the water
safely. Both bridge designs follow the same veltcal horizontal road curvature and
are combinations of two bridge types, a cantilduglge part and a beam-Bridge part
with a variety of participation. The total bridganyth is about 1200 meters
horizontally and a maximum height of 35 meters &m®aa level. Reinforced concrete
is used as building material. Sections betweentbmers are called main-span.
Sections between a tower and a column are calléd side-span. Sections between
two columns are called side-span.

4.3.1 Cantilever Bridge

Figure 33 — A concrete cantilever bridge duringstarction

A concrete cantilever bridge is a type of bridgedure that uses the cantilever-beam
principle as a construction method. In this caggtidwers of concrete will ascend to
the superstructures height where the constructi@armtilever beams starts on each
side of the tower horizontally into space withony dupports except for the fixed
points at the top of the tower. By casting the girsections on each side of the tower
almost simultaneously, the structure will managedwotain its balance before merging
in to other structures or land. This bridge typanseffective structure for large spans
up to 500 meters. The beam sections of a concaetilever bridge are usually casted
as girders with varying section depth based onmaddorces.
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4.3.2 Beam Bridge

Figure 34 — A concrete beam bridge

A concrete beam bridge is the simplest structunahffor a straight bridge span
supported by columns and abutments. The columngsaialy not fixed in to the
beams and therefore no moment transfer will octlie. beam sections of a beam

bridge in combination with a cantilever bridge aseially cast as a girder for the
continuum of the superstructure as whole.
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4.3.3 Bridge Design 1
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Figure 35 — Elevation of design 1 split in two wihspect to visualization

Design 1 is mainly a beam bridge in combinatiorhvaitCantilever mid-section.

* Main span: 160 m supported by towers.

* Main side span 90 m supported by a tower and armalu
* Side spans 60 m supported by columns.

* Towers supported by subsea caissons.

* Columns supported by steel piles.
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4.3.4 Bridge Design 2
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Figure 36 - Elevation of design 2 split in two witspect to visualization

Design 2 is mainly a cantilever bridge in combiaatwith beam sections on both
ends.

e Main span: 160 m supported by towers.

* Main side span 100 m supported by a tower andwarool
» Side spans 60 m supported by columns.

* Towers supported by subsea caissons

*  Columns supported by steel piles
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4.4 Modeling Assumptions and Limitations

Preparation of the numerical models of the twogtesiwith the optimal representation
of the reality is a time consuming process withcheka lot of accurate data at hand.
For the purpose of this thesis which is mainly &oaid, the focus is on the analysis
procedures and the comparison of two designs wipect to seismic loading. For this
reason it is appropriate to make assumptions agalimhtions to shorten the modeling
process as much as possible without affectingdbelts with respect to the main
focus.

4.4.1 Geotechnical Considerations

« Assumed on bed rock
* No soil-structure interaction

4.4.2 Concrete

Material properties

* Cylinder strengthf,, = 45 MPa
* Young’s modulus = 36283 MPa
* Poisson’s ratiov = 0.2

Design parameters

« ULS:15
« ALS:1.2

4.4.3 Reinforcement steel

Material properties

« Characteristic yield strengtfy,, = 500 MPa
* Young’s modulusEg = 200000 MPa

Design parameters

e ULS:1.15
« ALS:10
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4.4.4 Discretization

The numerical models in OpenSees and NovaFramaioatiassic Bernoulli beam
elements which represent all the bridge compon@ims.discretization is much finer
for the cantilever sections than the beam sectibnis.is done to catch the depth
variation of the cantilever sections.

Design 1

The numerical model of design 1 consists of inlf@&7 elements and 286 nodes. The
structural components are discretized to the fahgwumber of elements and nodes:

* 26 elements and 27 nodes for the main-span. 1 sp&n-in total.

* 14 elements and 15 nodes per main-side-span. 2gitirspans in total.
* 5-6 elements and 6-7 nodes per ide-span. 16 salessp total.

* 6 elements and 7 nodes per column. 16 columngah to

* 6 elements and 7 nodes per tower. 2 towers in. total

* 1 element and 2 nodes per tower-foundation. 2 tdaandations in total.
* 5 elements and 6 nodes per caisson. 2 caissoosin t

Design 2

The numerical model of design 2 consists of inlf@&@1 elements and 303 nodes. The
structural components are discretized to the falhkgwmumber of elements and nodes:

* 26 elements and 27 nodes per main-span. 5 mairsapaotal.

* 15 elements and 16 nodes per main-side-span. 2gitirspans in total.
* 5-6 elements and 6-7 nodes per ide-span. 5 sidesspaotal.

* 6 elements and 7 nodes per tower. 6 towers in. total

* 1 element and 2 nodes per tower-foundation. 6 tdaandations in total.
* 5 elements and 6 nodes per caisson. 6 caissoosin t

4.4.5 Structural Mass

For the dynamic analysis, half of the element nmssncentrated at the closest node.
This procedure is called the lump mass approaclthatiealizes the mass distribution
of an element as a concentrated mass at the eflsmadtnodes. The mass of towers,
piers and caissons are neglected in the longitudirection since these masses are
insignificant compared to the mass of the supersira.

a7



4.4.6 Structural Damping

For the response spectrum analysis (RSA), an ithgienping ratio o£=5% has
been used via a 5% damped response spectrum.

In the time history analysis (THA), 5% damping &fided using Rayleigh damping

4.4.7 Super Structure

As mentioned before, the superstructure of bottiges is a combination of a
cantilever and beam bridges. The section heigttietantilever sections varies from
3 m up to 8.8 m while the height of the beam sestis 3 m constant as shown in
figure. All the sections are casted as reinforamutoete girder. The girder is fixed to
the top of the towers which means a full transfealloforces in both directions.
Between the column caps and the girder, glidingibgs are placed as isolation
devices to contain displacements due to temperdefoFmations.

|

P min. 3000 | |

|

\

max. 8 800

Figure 37 - Girder section
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4.4.8 Tower

Towers are rectangular hollow concrete sectionisting of thick walls with constant
geometry at the entire height.

Figure 38 - Tower section

4.4.9 Column

Columns are rectangular concrete sections withtaahgeometry throughout the
entire height. At the cap of each column two gligbearing are placed due to
displacement caused by temperature. The maximyptedements of these bearings
are limited by utilizing the friction force due tlead weight of the superstructure. The
bases of the columns are assumed to be fixed at eakl. Due to the isolation
devices there will be no transfer of moments arehsforces between columns and
the superstructure. Thus, no additional shear $oacel moments are transferred to the
columns.

Figure 39 - Column section
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4.4.10Tower Foundation

Tower foundations are circular concrete sectiorih wonstant geometry at the entire
height. These are the connecting point betweenr®amd caissons.

Figure 40 - Tower foundation section

4.4.11Subsea Caisson

Caissons are modeled as circular hollow concretigosewith thick walls and constant
geometry at the entire height. When the caissanswymerged they will be filled
with gravel which will contribute to the overalifftess. For this thesis the stiffness
contribution from the gravel mass is neglectediastead caissons wall thicknesses
are being edited to compensate for this loss fihess. The bases of all caissons are
resting on the bed rock and are modeled as fixpdats in all directions.

Figure 41 - Caisson section
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4.4.12 Abutment

Like the columns the abutments also do note cartilo the resisting force against
seismic loading. Thus the abutments are modelsthgdy supported points which
are fixed only in vertical direction.

4.4.13Loads

Only two types of loads are considered for the psepof the analysis:

* Dead weight of the reinforced concrete equivaler?lSt%
* Seismic loading from 7 different ground motions.
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5 Numerical Analysis and Discussion of
Results (longitudinal)

5.1 Introduction

2D models summarized in the previous section weatyaed in both NovaFrame and
OpenSees using different methods and the results ev@luated. NovaFrame uses the
response spectrum analysis (RSA) as main methatlyfamic analysis while
OpenSees is specialized in time history analysdt$A)T By using different methods of
analysis we will have a reliable foundation for gaarison of these methods and the

designs.

Figure 43 and 44 shows the order spans and colamensamed in for both designs.
The figures also show specified sections, thaiwset caps, tower bases and caisson
bases. These are sections where forces and disgateare to be analyzed both in
longitudinal (chapter 5) and transverse (chaptelir@ction.
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Figure 42 - Numerical model notations for design 1
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5.2

The Chapter starts by solving the eigenvalue probite the two designs in both
software. Then the response spectrum (RS) forteelegound motions will be
obtained and scaled with respect to design spedtiBy which also will be obtained
by following the guide lines of the Eurocode 8. l[dbvame will then use these scaled
response spectrums to run a RSA for both designghérmore, OpenSees will run a
THA for each ground motion for the two designs.

In general, seismic design will always try to avsitear damage while damage in the
form of flexural yielding is allowed to occur inleonns. Assuming this, only flexural
forces will be evaluated. And since this thesignmsted to horizontal ground motion,
we will only be interested in horizontal displacemevhich is accepted as an
indication of earthquake related damage.

Eigenvalue Analysis (EVA) in Longitudinal Direction

The EVA is the first and an important step for itiligtng the natural properties of
both designs.

By solving the eigenvalue problem and comparing#selts for the two designs we
will also get a god confirmation on how accurate mlnmerical models are compared
to each other and whether the models can be usédrfioer comparisons.
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5.2.1 Results of Eigenvalue Analysis (EVA) in Longitudin&Direction

The eigenvalues connected to the ten first modpeshim the longitudinal direction of
both design are obtained in NovaFrame and Open8ee¥A where the results are
presented in table 1 and 2. For civil engineeriagppses it is very common to express
the Eigen modes in term of natural cyclic frequeacyatural period. These first
modes are especially valuable when later we wélthese to define spectral points in
NovaFrame. The first three natural mode shapeslas&ated for each design in fig.
45 and 46 below.

Table 1 - Natural frequency and the modal massdiazation of design 1, longitudinal

Design 1 Novaframe Opensees
Modal Natural cyclic Natural cyclic
participation frequency Natural period Natural period frequency
% f, Hz TS TS f, Hz

Mode 1 0.996 0.487 2.05 2.05 0.487
Mode 2 0.003 1.499 0.67 0.67 1.498
Mode 3 0.001 2.897 0.35 0.35 2.896
Mode 4 0.00 4.325 0.23 0.23 4.325
Mode 5 0.00 5.691 0.18 0.18 5.690
Mode 6 0.00 7.307 0.14 0.14 7.305
Mode 7 0.00 8.299 0.12 0.12 8.296
Mode 8 0.00 10.169 0.10 0.10 10.167
Mode 9 0.00 11.424 0.09 0.09 11.417
Mode 10 0.00 12.778 0.08 0.08 12.774

Mode shape 1
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Figure 44, mode shape 1, 2 and 3 of design 1, tiodigial
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Mode shape 1

Table 2, Natural frequency and the modal massqiaation of design 2, longitudinal

Design 2 Novaframe Opensees
Modal Natural cyclic Natural cyclic
participation frequency Natural period Natural period frequency
% f, Hz T,s T,s f, Hz

Mode 1 0.985 0.953 1.05 1.02 0.983
Mode 2 0.014 1.682 0.59 0.58 1.732
Mode 3 0.00 2.876 0.35 0.34 2.965
Mode 4 0.00 4.152 0.24 0.23 4.282
Mode 5 0.00 5.408 0.18 0.18 5.578
Mode 6 0.00 6.671 0.15 0.15 6.881
Mode 7 0.00 7.506 0.13 0.13 7.742
Mode 8 0.00 8.931 0.11 013 9.214
Mode 9 0.00 10.814 0.09 0.09 11.141
Mode 10 0.00 11.982 0.08 0.08 12.350
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5.2.2 Discussion of Results (EVA), Longitudinal

From table 1 and 2 it can be seen that the ngbuoglerties of each design computed
in NovaFrame and OpenSees corresponds perfectbgeTiesults confirm that the
numerical models established in both software aogldasis for further comparison.

When it comes to the comparison of the two desigmsan observe that the first
periods of design 1 are much larger than desigxs2bserved, the duration of each
cycle in the first mode for design 1 is 2.05 secowtiile the second design uses only
1.05 second. This indicates that design 1 is a rmumfe flexible structure and hence it
uses more time to go through one complete osataflrhis observation complies very
much with the reality when we know that the londital resistance for design 1
against ground motion comes mostly from two towets|e design 2 has six towers
with contribution to the same longitudinal resist@an
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5.3 Elastic Response Spectrum Analysis (RSA) in
Longitudinal Direction

Structural design is mostly based on the peak resgsoof the structure during the
duration of an earthquake induced ground motion aFavil engineer, RSA is an
efficient analysis procedure with the use of pesponses without consuming too
much time. In this section several earthquakeshweilselected and by using OpenSees
and Matlab codes, the response spectra for eattigyaake will be generated. The
response spectra will then be scaled to the levtbleodesign spectrum specified by
Eurocode with respect to seismic zones. Furtherntloegpeak modal responses in
term of pseudo-acceleration and frequency forwedesigns ten first natural modes
under each ground motion will be retrieved from$hbaled response spectra. These
ten selected response quantities from each soadpdmse spectra will be used as
spectral points in NovaFrame. Based on this infeionaNovaFrame will be able to
calculate all responses of the two bridge designs.

5.3.1 Ground Motion (Unscaled)

To be able to evaluate the response behavior eéttveo bridge designs clearly, seven
different horizontal ground motions that were relaat in the west coast of U.S. by
seven different monitoring stations are selectés€ selections are based on the
representative soil type in the area and the ssli&ar wave velocity. These ground
motions varies in magnitude, distance from faylgetof fault, geology of the

traveling distance and duration, to an extent. rEf@vant information is shown in

table 3. Acceleration time history of all groundtioa records are plotted in figure 37.

Table 3 - Ground motion information

Comp. NGA# Event Year Station Mag Mechanism Vs30(m/s)
GM 149 Coyote Lake 1979 Gilroy Array #4 5.7 Strike-Slip 2218
GM 1990  Gulf of California 2001 Bonds Corner 57 Strike-Slip 223.0
GM 193 Imperial Valley-07 1979 Bonds Corner 5.0 Strike-Slip 223.0
GM 1701 Northridge-06 1994 Hollywood - Willoughby Ave 5.3 Reverse 2349
GM 314 Westmorland 1981 Brawley Airport 59 Strike-Slip 208.7
GM 608 Whittier Narrows-01 1987 Carson - Water St 6.0 Reverse-Oblique 160.6
GM 1844  Yountville 2000 Alameda - Oakland Airport FS #4 5.0 Strike-Slip 202.4
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Figure 46 - ground motion recordings for sevenreprakes from California
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5.3.2 Construction of Response Spectrum (RS)

A two-node SDOF system with zero element lengingle mass unit and a unit of
section area is modeled in OpenSees. Then one gktbcted ground motions is
applied to the system as a seismic loading usingraktime steps with a constant
time step increment. OpenSees runs several looggnaimic analysis for a set of
periods where the deflection of the single magsrim of horizontal deformation can
be obtained for each period. The peak deformatidgheomass for each period is
assembled with help of Matlab to a displacementR@&hermore, the pseudo-
acceleration response spectrum can be calculatectlgifrom the displacement RS
by using the relationship, = w2D. This procedure has been done for all seven
earthquakes and the pseudo-acceleration respoasgsp has been generated for
every one of them. Figure 48 and 49 shows the Matlat of pseudo-acceleration RS
for two of the ground motions.

Pseudo-acceleration A, g

o 1 1 1 1 |
1] 045 1 1.4 2 2.5

Natural vibration period Tn, s

Figure 47, RS Gulf of California
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Natural vibration period Tn, s

Figure 48, RS Northridge
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5.3.3 Obtaining Design Spectrum (DS) According to Eurocod 8

According to the Eurocode 8, EC 8-2 NA.2.1, a beidgth a total lengtid,,, >
600m is classified as importance class IV and the agtstimportance factor
y; = 2.0 . The reference return peridti,.r = 475 years; this corresponds to
Pycr = 50 years which is the probability of exceedance ¢4 50 years.

The overall representation of the soil type is dateed as soil type E by testing soil
samples. The soil factor of elastic spectrun§is 1.7 and the behavior factor is set to
q = 1.5 . From EC 8-1 table NA.3.3 and figure NA.3 thddaling parameters are
retrieved: Ty = 0.1, Tc = 0.35, Tp = 1.5, agson; = 0.7.

The design ground acceleration can then be compmsted
ag = Yiagr = v10.8a440n, = 0.114169g

Based on the information above the following desigactrum in figure 50 is
constructed:

04 l_\
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Se(g)
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T(s)

Figure 49 - Horizontal elastic design spectrum
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5.3.4 Scaled Ground Motion in Longitudinal Direction

As it turned out, collecting ground motion datanfrdlorway was not an easy task.
And therefore, the selected ground motions arera@igd from California which is a
high seismicity region. In order for these grounatioms to be representative for
Norway and never the less the location of the leridgich is a low seismicity region
we need to scale their response spectrums which gesrerated in section 6.3.2. This
is done by scaling the response spectrums witrece$p the first mode for each
design. This means that the spectral accelerafiemayy response spectrum for the
first period has to coincide with the design speauotrTable 4 shows the scale factor of
every ground motion for both desigiss.denotes the spectral acceleration of RS or
DS in units of g.

Table 4 — Spectral acceleration for the respondedasign spectra measured in g and scaling factor
values for longitudinal direction

Design 1 Design 2
T mode 1 2.05 1.05
EQ. No. EarthQuake name Se RS Se D5 Scaling Factor | Se RS 5. DS Scaling Factor
1 Coyote Lake 0.0628 0.0606 0.966 0.2643 0.1617 0.612
2 Gulf of California 0.0064 0.0606 9.495 0.0128 0.1617 12.646
3 Imperial Valley-07 1979 0.0034 0.0606 18.084 0.0240 0.1617 6.739
4 Northridge-06 0.0019 0.0606 32.072 0.0090 0.1617 18.065
5 Westmorland 0.0885 0.0606 0.685 0.0963 0.1617 1.680
6 Whittier Narrows-01 0.0226 0.0606 2.687 0.0988 0.1617 1.638
7 Yountville 0.0020 0.0606 30.491 0.0059 0.1617 27.376

The plot of scaled response spectrums of the sgnaemd motions for bridge design 1
and 2 along with the design spectrum from secti@Bas shown in Figure 51 and 52,
respectively. In figure 51 we can observe thathedlscaled spectrums of design 1
coincide with the design spectrum for= 2.05s. In the same way we can observe
coincided scaled spectrums for design 2 along thighdesign spectrum f@r = 1.05s

in figure 52.
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Figure 50 - Scaled spectral acceleration for designlongitudinal direction
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Figure 51 - Scaled spectral acceleration for de8ignlongitudinal direction

We have now obtained representable spectral aatieles and can go on to start the

RSA by NovaFrame.
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5.3.5 RSA in NovaFrame

The dynamic analysis in NovaFrame is based on naadalilations. The RSA method
for a MDOF system is the only approach this sofea@ffers. By using modal analysis
it calculates the static responses for each motkrmm of deflections and section
forces. Then it multiplies each modes deflectiothwhe values obtained from the
response spectra to calculate the peak modal respBarthermore, NovaFrame uses
the Root-Mean-Square as combination rule to oltharotal structural response. This
combination rule is not valid for closely spacedd®s, that is, closely spaced natural
frequencies. It only offers the possibility to iespthe results for closely spaced
modes in order to determine whether other type®ofbination rules are required. In
order to determine number of sufficient modes lfigr modal calculation NovaFrame
calculates the participation factor which is obeégirirom normalized modal mass
ratio.

Although NovaFrame has predefined response spectefimed by Seismic Zonation
of Norway, for this thesis it is chosen to empl@gudefined response spectrum for
two reasons. The first reason is to use this oppdaytto learn the whole developing
process of a response spectrum and make useSefciondly the two bridge designs
will be analyzed for the same ground motions botthe RSA and THA, and
comparison of these designs will be possible.

NovaFrame does not allow importing of a respongetspm as a whole. As

mentioned in section 6.2.1 the obtained naturgjueacies in table 1 and 2 and their
related scaled spectral accelerations for eachngrowtion are used as spectral points
as input in NovaFrame. This is basically a simgtifmethod for importing a response
spectrum where NovaFrame generates smooth linggdrpolations. Since RSA is a
method based on modal analysis it is appropriathtmse the spectral points with
respect to the designs natural periods as NovaFremmeves the exact same points to
do the analysis. And later we will see that thigecsral points are enough to do the
analysis in the longitudinal direction since thedagarticipation factors shows the
need of only three modes for engaging all the mass.
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5.3.6 Results and Discussion of RSA in Longitudinal Direton

Design 1 and Design 2 are exposed to scaled pggodad accelerations due to seven
separated ground motions. The ground motions acedoon the system in both
directions where NovaFrame chooses the most urdaleresponses as the force
demand. It is important to take both directions iatcount since each direction can
give a different accumulation of forces where therent sections are exposed to.
This is illustrated in the following figure 53.
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Figure 52 - Force accumulation due to differentheprake directions

For an overall view of the models for both designd their notations see figures 43

and 44.
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RSA, Results and Discussion of Design 1, Longitudcih

In the following charts section moments for towansl caissons obtained by RSA for
the seven ground motions are presented. The ddadshow a comparison between
sections in different towers or caissons denotedléyent number and element end
(e.g. 756_1) where the first digit of the elemewmtnber also represents the tower or

caisson number and the last digit represents #maegit end.

In Figure 53 we can see that the section momeritpaif the towers are identical for
all the ground motions. These identical forceslmameasoned to the towers identical
heights and elevation at the top and base.

Figure 54 shows the section moments at the batbe ddbwers. We can observe that
the results for the two towers are different bosel when compared. These can be
reasoned in the fact that Caisson 800 is higher ¢agsson 700.

Tower Cap - RSA
° 4.00
g2 —a—a—a— 8 = =&
o 3.00
T 3
2 %200
= —=—756_1
s 1.00
£ ==856_1
(=]
s 0.00
1 2 3 4 5 6 7
Earthquake No.
Figure 53 - Moment chart for design 1
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Figure 54 - Moment chart for design 1
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Caisson Base - RSA
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Figure 55 - Moment chart for design 1

Figure 55 shows the section moments at the batbe @lissons. Here we can observe
that the differences in forces between the twoscais are much larger than the other
sections in the previous figures. This can be erpthdue to the total height of C800
which is higher than C700. The difference in heigtit affect the total force triangle
and thus force different.

The preceding three figures show a straight liselts. It means that moments do not
change during different earthquakes. This can ipda@ed by studying the mass
participation factor at Table 1. The scaled resp@pectrum for each earthquake gives
the same spectral accelerations for the first nvadaiée the spectral acceleration given
for the rest of the modes can be different. Thiduie to the fact that all ground

motions are scaled with respect to only the firetlen From Table 1 It can be seen that
the mass participation of mode lis above 99%. ifluigates that, the rest of the
modes contribute with less the 1% to the total@asp. This explains why the results
are the same by 99%. The same conclusion appli¢edalisplacements.
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A comparison of displacements of the two towerstdufe ground motions are
plotted in Figure 56. The largest displacementsioatthe top of the towers and
hence the top sections will be compared.

The first behavior to notice is the differencelisplaced direction between the
towers. The logical assumption would be to thirdt toth towers should be displaced
in the same direction since the same ground mdagiapplied at the base of all
supports. This means that all the bridge comporsmiald move forth and back
simultaneously. Since there are only two type®atling applied on the designs it is
safe to conclude that the gravity loading is mudrerdominant than the seismic
loading. As mentioned in chapter 5, it is only tbeers that resist the longitudinal
displacements while the columns act only as vdrsgpport without prohibiting
longitudinal displacements. This means that thémuuforces due to the
superstructure’s dead weight are much larger tosvirel ends of the bridge than the
center of the bridge. It can also be observedttiwtisplacements are slightly larger
towards the right direction at tower 800 competimgisplacement at left direction at
tower 700. This is because the gravity load is mader at the right side of tower
800 due to a larger beam section and hence latdiangforce.

These observations confirm that the seismic loadimgry moderate or low.
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Figure 56 - Displacement chart for design 1
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RSA, Results and Discussion of Design 2, Longitudah

Figure 57 shows clearly that magnitudes of momargsnuch higher at the top of
tower 400 and tower 900 where these also are tteg tawers. As in design 1, these

outer towers have a larger share of forces duleet@tavity loads of the beam

sections. And as expected as tower 400 suppoaigarlbeam section it is also
exposed to larger moments compared to tower 908inAthis means that loads due to
gravity are the dominant ones compared to seispaidiihg.

The same conclusion can be made for Figure 58 munld=59 as Figure 57.
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Figure 57 - Moment chart for design 2
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Figure 59 - Moment chart for design 2

Figure 60 shows the displacement chart in the tadgial direction at top of the
towers for design 2. We can see that the towerdigi@ged into two groups in terms of
direction. The split occurs in the middle of sp@® 6vhere all the towers on the left
side are displaced towards left and all the towerthe right side are displaced toward
right. It can also be observed that tower displaa@sitowards the left side are larger
than the other longitudinal direction. This is afaymation of the moment results and
is due to same reason discussed for Figure 57rd-Bfiand Figure 59.
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Figure 60 - Displacement chart for design 2
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5.4 Elastic Time History Analysis (THA) in Longitudinal
Direction

This section presents results of the THA perforfioedboth of the bridge designs. The
aim is to evaluate the responses of the two desigdgjet a good overview of the
bridges behavior exposed to seven different graunations at separate times. These
are the same ground motions presented earliectioaes.3.1which also were used in
RSA. All he ground motions are scaled accordinggtction 5.3.4.

5.4.1 THA in OpenSees

The THA in OpenSees is performed under the horgagrbund motions. OpenSees
uses Newmark’s integration method where the un¢amail stability are satisfied for
B = 0.25 andy = 0.5. As for the RSA, the damping ratio is safte 5.0% where

the Rayleigh damping is applied for assemblinghefdlassical damping matrix. The
Rayleigh parametexs, anda, are determined using the first and the second mode
horizontal direction respectively. The time stepd eecording durations are different
for all the ground motions and hence individualwesl are used for every ground
motion.

5.4.2 Results and Discussion of THA in Longitudinal Diretion

As for the RSA, the section forces that are evalliare top of the towers, base of the
towers and base of the caissons. In the followimgnents and displacements in the
longitudinal directions are plotted in differentacts for comparison.

THA, Results and Discussion of Design 1, Longituda

Figure 61 shows equal moments at top of both todersig earthquake 1 to 3. For
the remaining earthquakes the results are stijl glrse to each other.

The same pattern is shown in Figure 62 and FigBras@he previous figure. Figure
63 also shows that caisson 800 has higher momeitssbase.
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Figure 61 - Moment chart for design 1
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Figure 62 - Moment chart for design 1
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Figure 63 - Moment chart for design 1
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The displacement at the top of the towers in Figidreonfirms the same pattern as for
the RSA. The two towers are displaced in opposiection due to gravity of the
beam sections which play the dominant load role.
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Figure 64 - Displacement chart for design 1

THA, Results and Discussion of Design 2, Longituda

As for the RSA, Figure 65 and Figure 66 shows tiatwo towers which stand out in
term of highest moments are the outer towers wtoaver 400 has the most highest
forces. This is also true for the base of caissoisgure 67 except that caisson base
900 is exposed to the highest moments.
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Figure 65 - Moment chart for design 2
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Figure 66, moment chart for design 2
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Figure 67, moment chart for design 2

Figure 68 shows the longitudinal displacement atttip of the towers. We get the

same pattern here as for the RSA where towerseoright side of span 600 are

displaced toward right while towers on the leftesaf span 600 are displaced toward
left in the longitudinal direction. It can also een that the outer towers have the

highest displacements where tower 400 is displatest. This is the same result as in

the RSA.
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Figure 68, displacement chart for design 2
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5.5 Comparison and Discussion Between RSA, THA and
DSA in Longitudinal Direction

In the following sections a comparison of differanialysis methods between RSA,
THA and design spectrum analysis (DSA) are presedteéower with the most
significant responses is selected for each deslgremhe results by different method
of analysis are to be compared.

The DSA is performed by NovaFrame where the DSioéthin section 5.3.3 is used.

5.5.1 RSA Versus THA for Design 1, Longitudinal

Section moments of tower 800 obtained by diffeearalysis methods under seven
ground motions are compared in Figure 69, FigurardDFigure 71. We can observe
that the RSA values are almost the same as thevidhAes for six of the seven
earthquakes where a difference is standing owtdathquake number 4. As mentioned
before, for the longitudinal analysis NovaFramedseenly one mode to get a
participation factor above 99% and three modes#ch 100%. While THA takes all
the modes in to account. In Figure 500ne of théeddaSs are standing out by
reaching a magnitude of above 7.0 g. This is algttiad¢ spectral acceleration for
earthquake number four which is scaled up to nieeDIiS at the first mode of bridge
design 1, that is &, = 2.05. As the difference between the spectral acceteratat
different periods increases we will observe a bigigviation between RSA and THA
where the THA is the most accurate one. Exceptrtitat of the response contribution
in the RSA is due to the first mode in this casey&Frame uses only ten spectral
ordinates from the scaled RS to create its own Ri$smooth lines. This means that
10 points are not enough to catch all the peall#ffatent periods and hence we can
observe an almost straight line for the RSA whitéATgives the exact results.

When comparing the RSA and the THA against the D@&Acan observe that DSA
gives the lowest force demands. This is as expestteg DSA has the aim of pushing
the structure to and above the yielding point.tlreowords DSA wants to apply some
damage to predetermined points at the structupeeteent total collapse.

Another interesting observation is that DSA has agaal to set earthquake number
four above the force demand value at all elemertises.
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Figure 69- Moment chart for design 1
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Figure 70 - Moment chart for design 1
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Figure 71 - Moment chart for design 1
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Figure 72 shows the longitudinal displacement lifedent analysis methods. The
same pattern as for the moment charts in Figur&ig8ye 70 and Figure 71 can be
observed. We can also see that the RSA has beemogteconservative method with
respect to both moments and displacements. The d@&A the lowest displacements
due to theg factor.
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Figure 72 - Displacement chart for design 1

5.5.2 RSA Versus THA for Design 2, Longitudinal

In Figure 73, Figure 74 and Figure 75, we can ofeseery close results between RSA
and THA and in some cases almost identical. DeBidoesn’t have the same
deviation under earthquake number four. This magiueeto a much closer space
between the first and the second mode compareesigrd 1. We can also observe that
the RSA is not the most conservative one.
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Figure 73 - Moment chart for design 2
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Figure 75 - Moment chart for design 2

Figure 76 shows the longitudinal displacement wfaiotop 400 by different methods
of analysis. Close displacement values can be ebddor RSA and THA. The DSA
gives a lower displacement as expected.
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Figure 76 - Displacement chart for design 2

79



80



6 Numerical Analysis and Discussion of
Results (Transverse)

6.1 Introduction

In this chapter, the two bridge designs were aralyzy using RSA. First the
eigenvalues were determined then the responsescammeuted. The results were
plotted and compared.

6.2 Eigenvalue Analysis (EVA) in Transverse Direction

6.2.1 Results of Eigenvalue Analysis (EVA) in Transvers®irection

For the transverse direction RSA needed up to 1@esto obtain a participation
factor of above 90%. Table 5 shows the eigenvadaalts for design 1 in term of
natural cyclic frequency and natural periods. Tagigipation factors are also listed

for every mode.
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Unlike RSA for the longitudinal direction, we cabserve the need of many more
modes and the contribution of higher modes toaked tesponse. Some of the modes
are excluded from Table 5 since because of zetaipation.

Figure 77 shows the th

ree first mode shapes ofdesi

Table 5 - Natural frequency and period of desigtmahsversal
Design 1 Novaframe
Modal Natural cyclic
participation frequency Natural period
% f, Hz TS
Mode 1 0.375 0.703 1.42
Mode 2 0.063 0.922 1.08
Mode 3 0.198 1.010 0.99
Mode 4 0.052 1.144 0.87
Mode 5 0.093 1.361 0.73
Mode 7 0.05 1.461 0.68
Mode 9 0.052 1.615 0.62
Mode 11 0.021 1.834 0.55
Mode 13 0.018 1.982 0.50
Mode 15 0.016 2.181 0.46
Mode shape 1
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Table 6 shows the eigenvalue results for designtansverse direction. As for the
design 1, up to 10 modes are needed to reach apadgspation of above 90%.
Figure 78 shows the first three mode shapes ofjdexin transverse direction.

Table 6, Natural frequency and period of desigmahsversal

Design 2 Novaframe
Modal Natural cyclic
participation frequency Natural period
% f, Hz T,s
Mode 1 0.451 0.661 1.51
Mode 3 0.126 0.808 1.24
Mode 4 0.009 0.823 1.22
Mode 5 0.117 0.887 1.13
Mode 6 0.087 1.287 0.78
Mode 7 0.1 1.359 0.74
Mode 9 0.007 1.765 0.57
Mode 11 0.036 2.129 0.47
Mode 13 0.008 2.421 0.41
Mode 15 0.023 3.122 0.32
Mode shape 1 o
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Figure 78 - Mode shape 1, 2 and 3 of design 2suensal
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6.2.2 Discussion of Results (EVA), Transvers

6.3

Comparing the results of the two designs shows ehroloser frequency between the
designs compared to the longitudinal direction. ¢loseness of frequencies indicates
that the designs behave very much alike in traisgvéirection. The fact that up to 10
modes are needed to get the necessary mass articimakes very much sense
since the mass movement in different directionaates times is much less
synchronized.

Elastic Response Spectrum Analysis (RSA) in
Transversal Direction

6.3.1 Scaled Ground Motion in Longitudinal Direction

As for the longitudinal direction the response $peu of each ground motion were
scaled down using the first mode in transversectioe to meet the design spectrums
spectral acceleration at the same mode. Tablelingdactor values for each design in
transverse direction for all ground motions.

Table 7 - Scaling factor values for transversatation

Design 1 Design 2
T_mode 1 1.42 1.51
EarthQuakes Se RS Se DS Scaling Factor Se RS Se DS Scaling Factor
1 Coyote Lake 0.0971 0.1213 1.250 0.1062 0.1132 1.066
2 Gulf of California 0.0136 0.1213 8.913 0.0133 0.1132 8.513
3 Imperial Valley-07 1979 0.0110 0.1213 10.998 0.0091 0.1132 12.384
4 Northridge-06 0.0045 0.1213 26.808 0.0039 0.1132 28.875
5 Westmorland 0.0825 0.1213 1.470 0.0769 0.1132 1.473
6 Whittier Narrows-01 0.0626 0.1213 1.937 0.0528 0.1132 2.143
7 Yountville 0.0028 0.1213 43.385 0.0023 0.1132 49,766
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6.3.2 Results and Discussion of RSA in Transversal Direicin

The moments and displacements for selected towkcaisson sections of the two
designs are plotted in charts for all the groundioms. Then the results are compared
and evaluated. The charts show a comparison betsestions in different towers or
caissons denoted by element number and elemerfeend56_1) where the first digit
of the element number also represents the towesisson number and the last digit
represents the element end.

RSA, Results and Discussion of Design 1, Transvelsa

Figure 79, Figure 80 and Figure 81 shows the mosnafrdll the towers and caisson
for given sections. Unlike the results for the libadinal direction, the results do not
show a straight line. The reason is that the retgbonse is due to several mode
contributions and not just the first mode. Thusigie one react much more differently
due to different earthquakes.
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Figure 79 - Moment chart for design 1
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Figure 80 - Moment chart for design 1
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Figure 81 - Moment chart for design 1
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Figure 82 - Displacement chart for design 1

In the same way as for Figure 79, Figure 80 andrei§l, the displacement has a
significant variation when exposed to differenttequake. The displacements of both
towers are in the same directions since the gréo#gs do not have a big effect in
transverse direction as for the longitudinal.
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RSA, Results and Discussion of Design 2, Transvelsa

The contribution of many more nodes compared tgitadinal directions much more
apparent in Figure 83, Figure 84 and Figure 8&att also be observed from Figure 83
that the outer towers do not have the highest mtsmegarding to the tower cap. We
can also conclude that earthquake is the domioantih transverse direction due to
the variety of the results.
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Figure 83 - Moment chart for design 2
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Figure 84 - Moment chart for design 2
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Figure 85 - Moment chart for design 2

Figure 86 shows the displacement in the same drecthis is expected since the
earthquake excitation plays the dominant loaditg. Mesign 2 has larger
displacements compared to design 1, specially té@@runder earthquake number
three and four.
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Figure 86 - Displacement chart for design 2
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7.1

7.2

Comparative Response Evaluation of
two Designs

Introduction

The aim of this chapter is to do a comparison bei®idge design 1 and 2 with
respect to seismic performance. The main purposedsnclude which of these
designs are the better alternative to withstandaathquake excitation.

The Chapter starts with a demand capacity ratioRp&ssessment of both designs in
longitudinal and transverse direction where theltesvere compared. This will give
us an overview of how prone these designs arertaadas induced by ground
motions. Next it will be shown which of these desidnave the highest displacements.
Then the Chapter ends with an overall discussion.

Demand Capacity Ratio Assessment in Longitudinal
Direction

The moment demands from the THA by OpenSees arpa@u to the strength
capacity of tower and caisson sections design&biraFrame with respect to the
design spectrum. The ratio of this comparison iiedalemand capacity ratio which is
permitted to exceed unity to a certain point widretile response is assured. The
DSA method’s aim is to reduce the actual force dehiay using the q factor approach
and use the reduced demand for designing the bsieicgeons. By doing so, we will
allow some controlled damage to the bridge whichiss called ductile behavior. By
performing a DCR assessment to different towercansson sections we can get a
measure of how ductile these members are. Thigrie dy comparing the real
capacity without the use of any material factorthreal force demand obtained by
THA without the use of the g factor.

The DCR value should ie< DCR < 1.5.

Figure 87 shows the DCR of design 1 at the elersettions of tower700, tower 800
and their caissons. It can be observed that aID@DR values are below 1.15 where the
acceptable ratios are 1.5.

Figure 88 shows the DCR for design 2 at elemenséations of tower400 to tower
900 and their caissons. In the same way as in &igay Figure 88 also shows
acceptable values where all the DCRs are smakear 1.5. However the overall
values are somewhat higher for design 2 than feigdel.
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7.3 Demand Capacity Ratio Assessment in Transversal
Direction

Unlike the longitudinal direction, forces obtaineglthe RSA were used as the force
demand and compared to the section strength designthe DSA.

Figure 89 shows the DCR values of design 1 for botrers and their caissons in
transverse direction. A high stiffness can be olesfor all the sections where DCR
is safe below 1.5.

Figure 90 shows calculated DCR values for desighcan be observed that
tower400 is the least rigid tower at its cap anseb&lowever the DCR values are
safely below the limit.

Design Capacity Ratio

0.90

0.80 L —=
0.70
0.60
0.50
0.40
0.30
0.20 - =
0.10
0.00

=4 Tower Cap

DCR

={fi—Tower Base

Caisson Base

700 800
Tower No.

Figure 89 - Design Capacity Ratio for design Insxeersal
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7.4 Discussion

The DCR results indicates that neither one of gsghs will suffer damage that will
force the bridges in to ductile behavior. Howewssign 2 seems to have the largest
DCR values and could be the unfavorable one torgronotions that could exceed the
design spectrum.
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Conclusion

In longitudinal direction design 1 is a much mdexible structure with a natural
period duration of 2.05 second which is 100% highan design 2. This means that
design 2 a much more rigid structure, longitudidatomparison of maximum
moments and displacements that occurred in towei@0fesign 1 and tower 400 of
design 2 shows that design 2 is most exposed. Wialkdmum displacement is
approximately the same. This is unfortunate forgiebas a more demanding
construction work.

In transverse direction the designs behave mucle iiie each other with respect to
duration of natural periods. Design 2 has a shglatiger period for the first mode
with the largest mass participation which is duéh®structural mass and not
stiffness. This points out that a statically ssififucture is not necessary the right
structure with respect to good behavior during amheguake. Regarding to moment
and displacements, design 1 is in front with arralV@igher forces and displacement.

A comparison of DCR assessment in longitudinalafioe shows that design 2 has an
overall highest ratio. While in transverse diregttbe tower base of design 1 has the

highest ratio which stays steady for both towerkilgdesign 2 have a full tower, that
is cap and base which is in the same ratio rangesign 1.

Overall, design 1 has only one disadvantage cordperesign 2, and that is in the

transverse direction with higher response. But¢his easily be overcome when the
amount of construction work and complexity is miagher with design 2.
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